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Abstract 

 

Vertical drains have been extensively used as a liquefaction countermeasure and seismic 

case histories have shown the effectiveness of this technique. However, it has often been 

observed that excessive settlement and deformation of ground occurred despite the fact that 

dissipation of excess pore water pressure is expedited by this technique. The current design 

practice of gravel drains as a liquefaction countermeasure involves selection of drain spacing 

and diameter to keep the peak excess pore water pressure ratio low, which was verified 

mostly with small scale 1g shaking tests; its validity for field scale prototype is yet to be well 

investigated.  

In this study, a series of centrifuge tests was conducted to gain insight into the stress-

dependent behavior of loose sand deposits with the level surface improved by gravel drains. 

Effects of permeability, drain diameter/spacing ratio, and groundwater level on the pore 

water pressure response of soil were systematically investigated. The experimental data were 

then used to validate current design procedure which was originally proposed by Seed and 

Booker (1977).  

One of the important features of strength properties of soils involved in the design of gravel 

drains was examined by using triaxial cyclic test. The influence of excess pore water pressure 

and confining pressure on the volumetric strain characteristics of the soil under cyclic 

loading were investigated. It was found through laboratory tests that the coefficient of 

volumetric compressibility, mv, is highly dependent of the stress level, while mv is assumed 

to be fixed in the design procedure. Settlement occurrence on the sand surface was measured 

in several locations, and the data used to examine the liquefaction depth.  
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The results revealed that the effects of gravel drains to suppress the excess pore pressures 

depend significantly on depth. The discrepancy of excess pore pressure prediction and the 

centrifuge test results indicated that the current design procedure failed to elucidate the 

depth-dependent behavior of the sands. It was also revealed that water flow regime in the 

gravel drains can be a turbulent flow. The Reynolds number in drains increases from bottom 

to top, and the permeability coefficient decreased accordingly, resulting in more significant 

well resistance than expectation based on the current design procedure. When the stress 

level-dependent mv and Reynolds number-dependent kw were used as input soil parameters, 

the axisymmetric diffusion equation with consideration of well resistance satisfactorily 

predicted the excess pore pressures in sand with gravel drains. Settlement of ground surface 

was found increased with the depth of liquefied layer.
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Chapter 1 

 

Introduction 

 

 

1.1 Background 

Soil liquefaction is a phenomenon that soil losses its stiffness and strength due to the 

earthquake shaking. Damage of soil and infrastructure system often induced by liquefaction 

occurrence such as sink of overlying ground that can caused tilting of the building, lateral 

spreading, sand boiling, and floating of underground structures. Liquefaction phenomena 

usually occurs on loose saturated sand during earthquake, due to large excess pore water 

pressure generation when it unable to drain corresponding to reduction of initial effective 

stress of the soil (Seed & Idriss, 1982).  

Liquefaction studies initiated for the first time after Niigata Earthquake in 1964 and Great 

Alaska Earthquake in 1964. Several methods have been developed since then for liquefaction 

mitigation, including the technique to reinforce the soil and the drainage works to dissipate 

the excess pore water pressure. Vertical drains including gravel drains and stone columns 

were introduced in the 1970s and have been extensively used since then as a liquefaction 

remedial measure. Vertical drains installed in a liquefaction prone soil at a small interval 

provide short drainage paths, typically of the order of a few meters, and higher hydraulic 

gradient and associated water flow toward the drains are expected when excess pore pressure 

is generated in the soil during earthquakes. Time for the diffusion process of the excess pore 

pressure is dramatically reduced and accumulating pore pressures dissipates ideally before 
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the soil reaches a state of the initial liquefaction. Current design practice involves selecting 

drain spacing (b) and drain diameter (dw) that will keep the peak excess pore water pressure 

ratio below a specified threshold level for a design earthquake. The threshold level of 0.5 – 

0.6 originally proposed by Seed and Booker is common in the U.S. (Adalier and Elgamal, 

2004), whereas 0.25 – 0.5 is used in Japan (JGS, 1998). 

The design of vertical drain in the current practice uses the procedure originally developed 

by Seed and Booker (1977). They showed that excess pore pressure in sand around a drain 

can be analyzed with the axisymmetric diffusion equation incorporated with generation of 

the excess pore pressures owing to earthquake shaking, as indicated in Eq. (1.1), 

∂∆u

∂t
=

∂∆ug

∂t
+

k

mvγ
w

(
∂

2
∆u

∂r2
+

1

r

∂∆u

∂r
+

∂
2
∆u

∂z2
)        (1.1) 

where ∂∆ug ∂t⁄  stands for generation rate of the excess pore pressure due to the earthquake 

cyclic shearing in undrained condition, determined by a cyclic shear stress time history 

induced by the design earthquake and the liquefaction resistance of the sand. The second 

term in the right-hand-side of the equation expresses the dissipation of the excess pore 

pressure in radial direction, r, as well as vertical direction, z, with two dominant soil 

parameters of the coefficient of permeability, k, and the coefficient of volumetric 

compressibility, mv. The latter coefficient is defined as mv = v/u where u is the excess 

pore pressure and v is volumetric strain produced by dissipation of u. Hence, mv exhibits 

dependency on the stress level (Lee and Albaisa, 1974; Malvick et al., 2008). 

The equation is commonly solved in a finite difference scheme with a boundary condition at 

the interface between the soil and the drain. Seed and Booker (1977) assumed that excess 

pore pressure in the drains could be negligible and suggested to set u = 0 at the boundary 
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when the permeability of drains (kw) is on the order of 200 times or higher than that of soil 

(ks). Thereafter, this infinite permeability assumption was subjected to modification. Onoue 

(1988) claimed importance of the capacity of drain to flow water squeezed out from the 

surrounding soil. He showed that the infinite permeable drain is not appropriate assumption 

even for the case of a kw/ks ratio larger than 200 and developed diagrams to determine the 

drain spacing with the well resistance taking into account. 

Regarding estimates of soil parameters, Seed and Booker (1977) suggested to use a constant 

value of mv irrespective of the excess pore pressure ratios and confining pressures, since the 

most influential soil parameter in the diffusion process was ks, which potentially varies in 

much wider range of values than mv. This assumption that mv is a stress independent 

parameter have been handed over to design procedures in the current practice (JGS, 2004). 

However, variation of mv can be more than several times depending on the confining stress 

level, it may not be reasonable to regard mv as a constant value irrespective of stress level or 

depth. 

Attempts were made to verify the design procedures using experimental results of tests 

including relatively large 1g shaking table tests (Sasaki and Taniguchi, 1982; Iai et al., 1988), 

in-situ tests (Onoue et al, 1987) and small scale 1g tests (Tanaka, 1987). However, many of 

their results were somewhat ambiguous since the stress level in small 1g models was low. 

More recently, centrifuge tests have been carried out, which have an incontrovertible 

advantage to study behavior of foundation soils of which mechanical properties are stress 

level dependent. Considerable research efforts have been devoted to study the effectiveness 

of vertical drains to remediate particular soil/structure configurations, including oil tanks 

(Kimura et al., 1996), gentle slopes (Howell et al., 2012), shallow foundations (Garcia-

Torres and Madabhushi, 2018) and embankments (Tomizawa et al., 2018; Kajitori et al., 
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2020). Most of them focused on the reduction in deformation rather than pore pressure 

dissipation effects to prevent triggering the liquefaction. All of these experimental researches 

using centrifuge modeling showed effectiveness of vertical drains, however, limited attempt 

has been made to clarify the validity of conventional design procedures that have been being 

used in practice (Brennan and Madabhushi, 2002, 2006).  

In Japan, gravel drains and stone columns had been extensively used as a liquefaction 

countermeasure technique by 1990s (JGS, 1988), however, they lost the position of a major 

countermeasure technique after the 1995 Kobe earthquake (JGS, 2004; Rasouli et al., 2016). 

Rasouli et al. (2016) pointed out two possible reasons for this: one is that arisen from the 

design procedure in the current practice. After the Kobe earthquake stronger design 

earthquakes (Level 2 earthquakes) are commonly invoked in Japan and the spacing ration 

(dw/b) determined from the design procedures tends to be very small, which results in 

degradation of their cost competitiveness and thus practicality. On this issue, there are case 

histories which challenge the appropriateness of the design. There are sites where 

liquefaction countermeasure with gravel drains had been implemented, hit by an earthquake 

of ground motions stronger than the design earthquake, but did not cause soil liquefaction 

(Yasuda et al, 1996; Unno et al., 2014). These facts show clear needs of further research for 

better understanding the behavior of drains and surrounding soils. The other reason in 

disfavor of the technique is relatively large subsidence that occurs in the area remediated 

with vertical drains. 

This dissertation is an attempt to explain the effects of soil permeability, drain diameter, and 

coefficient of volume compressibility of the soil to the effectiveness of gravel drain as 

liquefaction countermeasures through a series of triaxial testing and centrifuge testing. It is 
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also the interest of this study to provide a broader of understanding of the settlement behavior 

on the soil improved with gravel drain. 

1.2 Objective of the study 

The main objective of this dissertation is divided into two, to examine the behavior of loose 

sand deposits remediated with gravel drain from the aspects of soil permeability, drain 

diameter, and stress dependency; along with the settlement behavior.  

In term of pore pressure behavior, the objectives are: 

1. To examine the pore pressure behavior of loose sand deposits improved with gravel drains 

using full-scale experiment through a series of centrifuge tests. 

2. To investigate the mechanical properties of the soil that controlling the pore pressure 

behavior, coefficient of volume compressibility (mv) and permeability coefficient (k) through 

a series of triaxial cyclic test and laboratory tests, respectively. 

3. To validate the current design procedures of gravel drain using full-scale experimental 

data. 

For the settlement examination, the objectives are: 

1. To investigate the settlement occurrence of the remediated ground based on centrifuge 

test results. 

2. To predict the settlement potential due to the ground shaking through a series of drained 

triaxial cyclic testing. 

1.3 Dissertation organization 

This dissertation consists of seven chapters. Chapter 1 give a brief description of the research 

background, objectives of the research, and organization of this dissertation. In chapter 2 of 

this research presents introduction of liquefaction phenomenon, factors affecting 
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liquefaction susceptibility, which depicted the causes and the results of liquefaction hazard. 

An overview of literature regarding liquefaction remediation techniques is also presented. A 

brief review on the mechanism of liquefaction prevention using the dissipation of excess 

pore water pressure method, ground improvement as a remedial measure against soil 

liquefaction on sandy soils, and the current state of knowledge on how the dissipation of 

pore water pressure method is valuable against liquefaction. The previous study on the 

vertical drain as one of the ground improvement methods were discussed in order to 

understand the development of this method to prevent liquefaction. Several factors affecting 

the performance of the vertical drain literature were also presented to understand in which 

aspects the further research is needed.  

Chapter 3 explains the permeability characteristics of the sand and gravel through a series of 

laboratory test considering vertical and horizontal permeability for the sand and flow in the 

pipe aspects for the gravel permeability, respectively. It discusses the details of the 

laboratory testing performed to obtain the permeability characteristic of sand material when 

the deposition arrangement is considered as an important factor. Further, this chapter 

explains the permeability test conducted to achieve the appropriate conditions that resemble 

the behavior of flow in the specific vertical drain shape for the gravel material. Finally, the 

results of each material permeability coefficient are presented.  

Chapter 4 describes the characteristics of volume compressibility of the sand investigated 

through cyclic triaxial test. As mentioned in chapter 2, there are factors that affect the 

performance of vertical drains against liquefaction, one of these factors is the volume 

compressibility of the soil. In this chapter, the details of the laboratory testing using triaxial 

cyclic to obtain the coefficient of soil volume compressibility and the results are presented.  
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Chapter 5 presents the analysis of the centrifuge test results. A series of centrifuge test on 

soil deposits without drain and improved with gravel drain were performed. The tests were 

conducted with variation of soil permeability, drain diameter, and lowering groundwater 

level and the results are obtained. Pore pressure behavior of each test is analyzed. Numerical 

simulations were performed based on the current design procedure of gravel drain. The 

mechanical properties of the soils used in the tests were examined and used in the numerical 

simulations to predict the excess pore pressure. Finally, the experimental data were used to 

validate the current design procedure.  

Chapter 6 presents the settlement behavior of the ground improved with gravel drain 

observed on centrifuge test results and predictions of ground subsidence through a series of 

triaxial test. Finally, the conclusions of this study are described in the Chapter 7. 
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Chapter 2 

 

Literature Review 

 

 

2.1 Introduction 

The literature review of the topics regarding this dissertation is presented in this chapter. The 

fundamental focus is concerning to the development of the gravel drain study as liquefaction 

remediation. Literature review will consist of liquefaction assessments, liquefaction 

countermeasures techniques, and volumetric strain characteristics under cyclic loading. 

Liquefaction phenomena have become an interest for researcher since 1964 after the Alaska 

earthquake (Mw = 9.2) and Niigata earthquake in Japan (Ms = 7.5). These earthquakes have 

caused major damage due to soil liquefaction such as buildings settlement and tilted, large 

ground lateral spreading, and infrastructures damage. Research on liquefaction mechanism, 

predictions, and countermeasures commenced since then. 

The liquefaction term has been defined as the condition when saturated sandy soil lose the 

strength during an earthquake, effective stress of the soil is decreased as the result of 

increased pore water pressure and lead to deformation of the ground (Kramer, 1996; Seed 

and Idriss, 1971). In general, based on Kramer (1996), liquefaction phenomenon can be 

divided into two types depend on the occurrence, flow liquefaction and cyclic mobility. Flow 

liquefaction occurred in loose sand as the results of contractive response under cyclic loading. 

Cyclic mobility can occur on dense sand which more likely have dilative response due to 

cyclic shearing. During cyclic loading, cyclic mobility occurred when shear resistance starts 
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to pick up at some strains in every cycle due to the positive dilatancy of soil skeleton. Both 

of these failure mechanisms may occur simultaneously in the soil under one occurrence of 

earthquake loading.  

 

2.2 Undrained behavior of saturated sand  

The behavior of the sand in undrained condition can be divided towards its response under 

monotonic loading and cyclic loading. The stress-strain response of sand to monotonic or 

cyclic loading is dependent on several factors, such as relative density of the sand, confining 

stress, stress history, and sand deposition mode (Seed and Idriss, 1982). Study on soil 

response to monotonic loading revealed that loose sand most likely to reduce its volume, 

dense sand tends to increase in volume (dilates) and finally reach the critical state condition 

(Casagrande, (1975), Castro et al., (1983)). Critical state condition is the state when the sand 

continuing under shearing until no further change in volume or stress is occurring.  

Figure 2.1 illustrates the stress path of saturated sand in undrained and drained condition 

under monotonic loading. As previously mentioned, the response of sand under monotonic 

loading is vary depend on relative density. There is loose of critical state when the effective 

stress of the soil tends to decrease due to the tendency of contraction, and dense of critical 

when the effective stress of the sand increases due to dilation accordingly. Typical responses 

of the soils due to shearing force are also presented in Figure 2.2. Shear strain is gradually 

increasing along with the increase of shear stress for loose sands, meanwhile, for dense sand, 

shear stress is significantly increase while strain increase accordingly. Then, when shear 

stress reaches the peak value, its gradually decrease as shear strain increase until reach the 

constant value (Figure 2.2 (a)). Compression and expansion phase shown in Figure 2.2 (b), 

loose sands tend to compressed and void ratio is decreasing as a result of densification. 
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Figure 2.1 The stress path of saturated sand in undrained and drained condition under 

monotonic loading (Seed and Idriss, 1982)
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Figure 2.2 Responses of soil to shearing: (a) Stress-strain relationship; (b) vertical strain 

and shear strain relationship; (c) change in void ratio versus shear strain (Budhu, 2015) 

In contrary, dense sand is compressed in the beginning, then significantly expand until reach 

the peak of shear stress and continuously expand. In this condition, the void ratio behavior 

is showing the similar pattern with the void ratio of soil in compression-expansion state. The 

critical state is reached when no volume change occurs during the loading. 

In undrained condition under cyclic loading, the sand skeleton tend to contract leading to 

rearrangement of soil grain and build up the pore pressure. Schematic process of cyclic 

loading in the sand is shown in Figure 2.3. During drained condition, if the cyclic loading 

applied to the sand, plastic volumetric contraction will occur in the soil skeleton (from point 

A to point B). In undrained condition, the effective stress of the soil will reduce since the 

volume change is not allowed (B to C).  
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Figure 2.3 Pore pressure mechanism in the soil during cyclic loading (Seed and Idriss, 

1982) 

If the cyclic loading keeps applying to the sand, the effective stress of the soil will completely 

reduce to zero due to the pore water pressure increment. The typical of sand response under 

cyclic loading in undrained condition is also presented in Figure 2.4. It shows the results of 

triaxial cyclic test of Sacramento river sand (Boulanger and Truman, 1996). Figure 2.4 

contains the relationship between number of sinusoidal stress loading with excess pore 

pressure ratio (ru) and axial strain (a), and the stress path of the soils. Excess pore water 

pressure (u) generated during the cyclic loading is normalized with the effective 

consolidation stress (’c) and called excess pore pressure ratio. In the standard of triaxial 

cyclic test, the confining pressure keeps constant during the test so the maximum value of 

pore water pressure is 100% which occurs when u = ’c. The pore pressure keeps 
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increasing during the cyclic loading and the condition when ru equal to 1.0 is called the initial 

liquefaction. 

 

Figure 2.4 Typical results of triaxial cyclic test of sand in undrained condition (Boulanger 

and Truman, 1996) 

Axial strains remained small until the effective stress of the soil approached zero and excess 

pore pressure ratio approach 100%, and the increment of the axial strains is in the order of 

2% after two additional cycles of loading. Point A in the specimen corresponds to the time 

when excess pore pressure ratio is reached 100% and the load is in zero position, which 

means the specimens stiffness is very small, the axial strain is follow accordingly. When the 

applied loading is increase to point B, the stiffness of the specimen is also increase. This is 

can be seen from the response of excess pore pressure ratio, it is decreasing meanwhile soil 

is gaining the effective stress. The axial strain is in the largest position the same direction of 

the loading (positive direction). The soil is gaining strength and stable under the peak of 

applied shear stress, and reflect the condition dense of critical. The accumulations of strain 
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after the soil actually reach 100% of pore pressure ratio is called cyclic mobility behavior 

(Casagrande, 1975). 

 

2.3 Liquefaction effects in the soil 

Liquefaction occurs due to sand is distinct material whose behaviour is ruled by the principle 

effective stress and by dilatancy (Japanese Geotechnical Society, 1998). Loose saturated 

sand deposits tend to contract under undrained condition due to cyclic loads resulted from 

that earthquake. Since reduce in volume of sand is not allowed during undrained condition, 

pore water pressure (u) will increase and the effective stress (σ’) will decrease as long as the 

total stress (σ) is constant during the loading. Based on the effective stress principles, at a 

certain depth of soil deposit, can be written as: 

σ’= σ - u 2.1 

When increase in excess pore water pressure is exceedingly large due to the intensity of the 

cyclic loading, it can approach the initial confining pressure (total stress) of the soil resulting 

in zero effective stress. This state is referred as the initial liquefaction condition. Decreasing 

in effective stress of the soils associated with loss of strength and stiffness of soils that 

contributes to the deformation. For example, after Niigata earthquake in 1964, the liquefied 

sand caused tilting and bearing failure of buildings (Figure 2.5 (a)). Large deformation of 

the road due to earthquake-induced liquefaction was found in Christchurch after the 

earthquake hit in 2011.  
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Figure 2.5 (a) Tilting of buildings due to Niigata Earthquake (1964), (b) Extensive damage 

of the road in Christchurch caused by earthquake (2011) 

 

2.4 Laboratory experiment for simulating liquefaction 

Laboratory testing to simulate the liquefaction condition proposed first by Ishihara et al., 

(1975) using a hollow cylindrical torsional shear device that could reproduced the real field 

stress condition of the soil. Since the stress state between the real field condition and the 

specimen in the laboratory test is different, Ishihara et al., (1975) found that the test 

conducted in the laboratory need to adjust to the ground condition by using the coefficient 

of lateral earth pressure at rest (k0). To approximate the real field condition, the cyclic triaxial 

test has been conducted as shown in Figure 2.6. In the beginning, the confining pressure, 0 

was applied to the specimen followed by deviatoric stress, d in vertical direction. An 

assumption has been made that duration of earthquake in the real field is very short, there is 

no time for pore water pressure to dissipate. The soil will behave like in the undrained 

condition. Shear stress and normal stress generates in the specimen due to the deviatoric 

stress applied. The stress acting on the 45 plane in the specimen as d/2. Normal stress 

acting on the specimen is compressive component which can be ignored due to it diffused to 
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the pore water pressure and did not make any change in the effective confining stress 

(Ishihara, 1996). 

Initial liquefaction is reached when the pore water pressure keep increases during applying 

the deviatoric stress and equal to the initial confining pressure as well as the axial strain is 

around 5% in double amplitude. Many researchers used this threshold to identify initial 

liquefaction state (Ishihara, 1996; Okamura and Soga, 2006; Okamura and Noguchi, 2009) 

 

Figure 2.6 Schematic figure of stress condition in the specimen of triaxial cyclic test 

(Ishihara, 1996) 

 

2.5 Liquefaction remediation techniques 

Various soil improvement methods such as densification, reinforcement, solidification, 

lowering ground water table, dissipation of excess pore pressure, and shear strain restrain 
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methods are commonly used as liquefaction remediation (Adalier and Elgamal, 2004; Baez 

and Martin, 1995; Japanese Geotechnical Society, 1998; Mitchell, 2008). These techniques 

can mitigate the risk of liquefaction through several mechanisms, including increasing the 

soil density, increasing lateral effective confining pressure of the soil, and providing 

drainage which reducing the excess pore water pressure generation to avoid liquefaction.  

 

2.5.1 Vertical drain as liquefaction countermeasure 

Vertical drains have been extensively used as a liquefaction countermeasure and seismic 

case histories showed the effectiveness of the technique. The design chart originally 

produced by Seed and Booker (1977) is commonly employed in the design practice to 

determine a spacing of drain to keep the seismically induced excess pore pressure below a 

certain level. Excess pore water pressure is expected to dissipate and keep low by the 

technique. 

Gravel drains and stone columns were used first from 1970s, and more recently drains of 

artificial materials such as prefabricated vertical drains have been introduced. However, in 

recent years in particular after 1995 Kobe earthquake in Japan, vertical drains have become 

obsolete while such other techniques as the soil densification and the solidification have been 

preferably used (Towhata, 2008; JGS, 2004). One of the major reasons for this is that the 

currently used design procedure often provides an unrealistically small spacing between 

drains for stronger design earthquake motions which have been introduced after the Kobe 

earthquake. Another reason is a concern for excessive settlement that might occur due to 

dissipation of excess pore pressure generated during earthquakes through vertical drains. In 

fact, it was reported that excessive settlement and deformation of ground occurred although 

vertical drains were implemented and worked well (Unno et al., 2014; Yasuda et al., 1996). 
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Drainage installation to prevent liquefaction is shown in the Figure 2.7. Drainage supposed 

to increase the dissipation rate of pore water pressure generation and maintain the excess 

pore pressure in the lower levels throughout the shaking event. 

 

Figure 2.7 Gravel drain installation for liquefaction mitigation  

 

Figure 2.7 (a) illustrates the gravel drain installed in a grid pattern which means to changes 

the dissipation pattern from vertical to horizontal and reducing the time to dissipate. The 



19 

 

other technique is combining the densification and gravel drain installation as perimeter 

drain (Figure 2.7 (b)). The drainage means to accommodate the pore pressure from untreated 

liquefied zones into a treated zone when the pore pressure already in a lower level. The 

migration of pore pressure into a treated zone reduce the ground or foundation settlement. 

Figure 2.7 (c) shows the installation of the drain to prevent void redistribution or water film 

generation beneath a lower permeability soil layer. In this case, the seepage which flow 

toward surface can be trapped below the impermeable layer and have a risk of very high pore 

water pressure at the soil interface. The drainage prevents the water film that might develop 

under the impermeable layer. 

 

2.5.2 Vertical drain design procedure 

Seed and Booker (1977) were originally proposed a design procedure of the gravel drain by 

assuming an infinitely permeable column as a drain material. Basic equation of the design 

procedure based on the flow of pore water governed by Darcy’s Law as follows: 
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where u is the excess pore water pressure, kh and kv is the coefficient of permeability in 

vertical and horizontal direction, respectively, w is the unit weight of water,  and is the 

volumetric change (positive). During the interval time dt, pore water pressure will change, 

and due to the element subjected to a shear stress that caused additional increase in pore 

pressure, considering the volume change of the soil, the design procedure to predict the pore 

pressure is concluded in Equation 1.1. 

Seed and Booker (1977) assumed that the dissipation of excess pore pressures is based on 

purely axisymmetric flow towards the drain, the drainage did not increase the overall 



20 

 

stiffness of the improved soil and has infinite permeability, and the rate of excess pore 

pressure build up is fitted to the data from large number of element test. Further, there are 

several factors that affecting the performance of the drainage studied by Onoue (1988); Iai 

and Koizumi (1986); Pestana et al (2000). They concluded that the effectiveness of drains 

under shaking events decreases with decreasing soil permeability, increasing soil 

compressibility, longer drainage length, and longer earthquake shaking. Onoue (1988) 

worked shows that the drainage resistance has the effect of reducing its capacity to dissipate 

the pore water pressure especially if the permeability of the drainage is not significantly 

larger than the soil permeability.  

 

Figure 2.8 Diagram of excess pore pressure ratio design value based on spacing ratio 

(Onoue et al., 1987) 

 

Seed and Booker design chart has been analyzed by Onoue et al (1987) and compared the 

results of the design pore pressure ratio in the design chart with measured in-situ data of soil 

layer improved with gravel drain. The comparison reading value and measured value of 
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excess pore pressure ration is shown in Figure 2.8. Read value of Seed and Booker (1977) 

design chart (mark by asterisk) obtained from the curve based on the spacing ratio, then 

compared with the experimental results obtained by Onoue et al (1987) in a similar spacing 

ratio. The results showed that excess pore pressure ratio (ru) read from the chart is 

considerably smaller than the measured value. It has to be noted that Seed and Booker chart 

disregarded the well resistance coefficient. Onoue (1988) suggested the improved design 

chart for gravel drain design procedure by considering well resistance as shown in Figure 

2.9. 

 

Figure 2.9 Relationship between spacing ratio and well resistance coefficient based on 

Onoue (1988) 

 

The new design chart by Onoue (1988) provided the coefficient of well resistance 

relationship with spacing ratio. Design spacing ratio can be obtained through the chart, first 
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determined the coefficient of well resistance based on the permeability of the soil and gravel, 

then choosing the earthquake intensity in relation to the liquefaction characteristics of the 

sand, and determined the design pore pressure ratio.  

 

2.6 Volumetric strain characteristics of the soil under cyclic loading 

As mentioned earlier, there are several factors affecting the effectiveness of drain 

performance. Seed and Booker (1977) mentioned that in the design procedure, value of 

coefficient of soil volume compressibility can be assumed constant as the excess pore 

pressure ratio is keep reasonably low. However, in fact, the value is not constant but varies 

with the pore pressure ratio. Lee and Albaisa (1974) described that the coefficient of soil 

volume compressibility can be obtained through a triaxial cyclic test (compression). The 

coefficient of soil volume compressibility, mv should be estimated on the basis of cyclic 

triaxial liquefaction tests where the excess pore pressure (umax) is generated under 

undrained condition until reached an aimed value, and allow the pore pressure to dissipate 

while measuring the resulting volumetric strain,  (Bouckovalas et al. 2011): 

mv=
∆ε

∆umax
                 (2.3) 

Bouckovalas et al (2011) found that mv is actually varies through the excess pore pressure 

ratio and could affected the replacement ratio of the gravel drain if the realistic mv value is 

being considered. 

Volumetric strain characteristic of the sand in undrained and drain condition has been studied 

by several researchers. Lee and Albaisa (1974) established that in undrained condition, 

within the soil in the same density and confining pressure, volume change is dependent on 

the pore pressure build up and independent of the cyclic loading type. Figure 2.10 shows the 
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coefficient of soil volume compressibility based on triaxial cyclic test results and analytical 

results relationship with pore pressure generation (Gianella et al., 2017).  It illustrates that 

the dominant factor affecting the mv value is generation of excess pore pressure before 

reached the liquefaction state. 

 

Figure 2.10 Excess pore pressure ratio relationship with coefficient of volume 

compressibility based on experimental results (Lee and Albaisa, 1974) and analytical 

results (Seed et al., 1975) (Gianella et al., 2017)  

 

Finn (1981) found a relationship of volumetric contraction and excess pore pressure 

generation based on cyclic shear stress. Excess pore pressure ratio of a medium dense sand, 

have a unique correlation with volumetric strain that obtained in drained conditions, it is also 

required to reach the liquefaction state in undrained condition. Okamura and Soga (2006) 

found that volumetric strain of the soil relationship with liquefaction resistance is basically 

independent from confining pressure. 
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2.7 Flow in the pipe 

Flow in the pipe in the engineering practice most likely found out as turbulent flow. 

Turbulent flow is characterized by rapid fluctuations of swirling regions of fluid. This rapid 

fluctuation often associated with higher friction which caused higher possibility of particle 

mixing during the flow (Figure 2.11) 

 

Figure 2.11 Fluid particles condition comparison during flow (a) before turbulence, (b) 

after turbulence. 

Typical velocity profiles for fully developed laminar and turbulent flows are shown in Figure 

2.12. Note that the velocity profile in laminar flow is parabolic and fuller in turbulent flow. 

The velocity in the turbulent flow consists of several layer which shows there is reduction 

of flow velocity.  



25 

 

 

Figure 2.12 The velocity profile in laminar and turbulent flow 

 

2.8 Liquefaction-induced ground settlement 

Several methods have been established to predict the settlement behavior of the soil due to 

liquefaction. Volumetric strain profiles have been used to propose the estimation of the 

settlement under shaking event. Silver and Seed (1971) conducted simple shear stress to 

study volume change behavior which control the stability of saturated material and predict 

the settlement potential due to the ground shaking. It is found that for a given density and 

number of cycles, the volumetric strains are independent of the vertical stress. Ishihara and 

Yoshimine (1992) concluded that liquefaction induced volume change is depend not only on 

relative density of the soil but also on maximum shear strain. The relationship between 

maximum shear strain amplitude and volumetric strain due to liquefaction is shown in Figure 

2.13. 
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Figure 2.13 Post-liquefaction volumetric strain plotted against maximum shear strain 

(Ishihara and Yoshimine, 1992) 

 

Tokimatsu and Seed (1987) proposed a simplified method to predict the settlement due to 

the earthquake shaking based on cyclic shear ratio of saturated sand and N-SPT data.  The 

experimental data obtained from laboratory using triaxial test then calibrated with the case 

history data. The chart shown in Figure 2.14 is proposed the estimation of volumetric strains 

to predict the deformation occurrence due to cyclic loading. 
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Figure 2.14 Chart for determining cyclic deformations as a function of N-SPT data and 

volumetric strain (Tokimatsu and Seed, 1987) 

 

 

 

 

 

Chapter 3 

 

Permeability Characteristics of Soil Layer Remediated with Gravel 

Drain  

 



28 

 

3.1 Introduction 

The permeability of a soil is defined as the ability of the water to flow through it. The flow 

of water through soil specimens is governed by Darcy’s law which is depending on the 

permeability coefficient and the difference of pressure head as follows: 

v= k.i                (3.1) 

q=k.i.A (3.2) 

where v is the velocity of the water flow (cm/s), k is the coefficient of soil permeability 

(cm/s) and i is hydraulic gradient (head loss/flow length), q is the flow rate of water (cm3/s), 

and A is the cross-sectional area of specimen perpendicular to the flow direction (cm2). 

Soil permeability test that commonly used in soil mechanics based on Darcy’s law assumed 

as laminar flow. The linear relationship between hydraulic gradient and the velocity of the 

water flow only hold true when the flow is laminar based on Hagen-Poiseuille theory. This 

linear relationship between v and i is valid when the flow is laminar, which is characterized 

by a Reynolds number, lower than some value between 1 and 10 (Freeze and Cherry, 1979). 

When the flow is turbulent, the velocity of the water is no longer proportional to the 

hydraulic gradient. The characteristic of the flow can be defined based on Reynolds Number 

which is well established in hydraulic engineering. In the flow of water through soil, it has 

been found that the flow is laminar if the Reynolds Number is less than unity. The Reynolds 

Number (Re) is given by, 

Re=(..D50)/  (3.3) 

Where   = density of the fluid (g/cm3) 

  = velocity of the water flow (cm/s) 

 D50 = average diameter of the soil particles (cm) 

  = viscosity of the fluid (g/cm.s)  
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In this chapter, understanding of permeability characteristic mobilized in the soil remediated 

with gravel drain is described further. The permeability coefficient is one of the important 

parameters that dominates the behavior of liquefiable soil improved with gravel drain during 

earthquake. The objective of this study is to determine the permeability coefficient for both 

sand and gravel in the centrifuge test condition.  

 

3.2 Permeability characteristic of the sand 

Sand particles tend to demonstrate a horizontal alignment which results in higher 

permeability for horizontal flow than that for vertical and thus, a ratio of horizontal to vertical 

permeability of several to ten is common. Therefore, in this study, not only vertical but also 

horizontal constant head permeability tests were conducted on sand. Ube Keisa no 7 was 

used in the test to obtain the sand permeability. The model for this test was made in the same 

way of making the model for centrifuge test. Ube Keisa no 7 was drained to the acrylic 

container at a relative density 64%. The characteristic permeability of the soil in the 

anisotropy condition was depended on its deposition. The direction of soil natural deposition 

was one of dominant parameters that controlling the maximum value of the permeability. In 

the centrifuge test condition, the flow of the water in the sand layer is in the horizontal 

direction, which generally larger than the vertical permeability. In order to achieve this 

condition, the tap was installed in the wide side of the container to allow only the horizontal 

flow. Aluminum plate with hole was installed to provide a space at each side to accumulate 

water before it flows to the soil. The constant head method of the permeability test was 

adopted in this model. The water tank was placed to keep the head constant. When the sample 

was built and the box was sealed so that there is no leakage can occur at any point, the sample 

was saturated with the water by applying vacuum pressure -98 kPa to expel all of the air 
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bubble that still exist inside the sand layer. After the saturation process finished, the pipe 

was connected to the tap, the hydraulic gradient was set, and the water was allowed to flow 

in the soil. During this process, the head of the water tank was maintained constant. When 

the water flow was stable, the amount of the water discharged from the soil was measured 

at every 1 minute. This process was repeated by varying the hydraulic gradient from 1, 1.5 

and 2.  

The sand was prepared in a box in the same way as the centrifuge model construction. The 

box was fully saturated in the vacuum chamber and sealed with a lid on it. The sand was 

prepared in two different ways to simulate the water flow in the directions that are parallel 

and normal to the sedimentation plane as schematically illustrated in Figure 3.1.  
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Figure 3.1 Schematic illustration of model preparation and procedure of permeability 

tests on silty sand 
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The results of the laboratory permeability test were analyzed, velocity, the Reynolds Number, 

the pressure different, and the coefficient of the permeability were calculated. The pressure 

different due to the differential of flow length was calculated by, 

dP

dx
=

Pin−Pout

dx
 (3.4) 

Where  dP is the different pressure at the point of the input flow to the point of the output 

flow in the specimen (kN/cm3). Meanwhile dx is the flow length (cm). The permeability test 

result in the sand are presented in Figure 3.2. 

 

 

 

 

 

 

 

The results of the laboratory permeability test for the sand was calculated by using Eq. (3.1) 

and the coefficient of permeability of the sand in the vertical (perpendicular to the bedding 

plane) and horizontal (parallel to the bedding plane) directions, were ksv= 4.8×10-6 m/s and 

ksh= 4.0×10-5 m/s, respectively. 

 

3.3 Permeability characteristic of the gravel 

In order to obtained the permeability characteristic of the gravel used in the centrifuge test, 

Ube Keisa no 1 was used in this laboratory test. In the centrifuge test, the flow inside the 

drain was happened to be flow in the pipe, so that the same type of pipe has been used in this 
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Figure 3.2 Permeability test results for sand 
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laboratory test to completely reassemble the centrifuge test condition. The material that used 

for the permeability test is summarized in Table 3.1. 

Table 3.1 Summary of permeability test conditions 

Test Soil Type of container Dimension (cm) 

1 Ube Keisa no 1 Aluminium Pipe Ø 2, length 10.6 

2 Ube Keisa no 1 Aluminium Pipe Ø 2, length 136 

 

The sample was made by pouring the gravel into the pipe vertically, and the pipe was shaking 

to achieve a very dense gravel layer. After the pipe was fully filled with gravel, the pipe was 

closed by using the aluminum lid then was placed horizontally. The pipe then was connected 

to the water tank with adjusted hydraulic gradient that allowed the water to flow in a high 

pressure to the pipe. The tests objective was to reproduce the turbulent flow in the pipe. Thus, 

the shorter length of the pipe was used. The Reynolds Number has to be large enough so the 

larger hydraulic gradient was set. Whenever the hydraulic gradient was set, the amount of 

water discharged from the output pipe was measured at every 30 s. Furthermore, in the 

similar way, the test has been conducted by using the different length of the aluminum pipe 

to reproduce the laminar flow in the pipe, so that the hydraulic gradient was set to the 

minimum value that water still can be flow in the pipe. In the same manner, the water 

discharged was measured at several time interval, 5 minutes, 3 minutes, and 1 minute. 

Schematic of the laboratory permeability tests for gravel is shown in Figure 3.3. 
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Figure 3.3 Schematic illustration of model preparation and procedure of permeability tests 

on gravel 

Reynolds Number was calculated using Eq. (3.3) and the results of the laboratory 

permeability test for gravel are shown in Figure 3.4. The coefficient of permeability of the 

gravel, kw, was constant when Re was lower than 5, and decreased with increasing Re when 

Re >5. Note that kw shown in the figure, which was obtained through tests on the laboratory 

floor (1g condition) must be scaled up by a factor of 40 when considering the water-saturated 

centrifuge models. 
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Figure 3.4 Variation in the coefficient of permeability of the gravel in a wide range of 

Reynolds number at 1g as well as that scaled up for 40G environment 

 

3.4 Conclusions 

The soil permeability characteristic for both sand and gravel in the centrifuge test has been 

established. Based on the results, the usual permeability test may not be appropriated to 

reproduce the mobilization of the water flow in the soil and gravel in the centrifuge test. The 

laboratory permeability tests have to follow all of the aspect that occurred in the centrifuge 

test. In the sand permeability case, the flow direction considering the bedding plane is play 

an important role due to the difference between horizontal and vertical permeability of the 

soil. Meanwhile in the gravel case, flow water in the pipe or coarse material has to be taking 

into account since the Reynolds Number happened to be larger than 1 and the turbulent flow 

occurrence change the gravel permeability significantly. Since in the design procedure, the 

soil permeability is one of the substantial parameters that can affect the pore pressure 

dissipation behavior, obtaining the appropriate soil permeability is necessary. 
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Chapter 4 

 

Coefficient of Volume Compressibility Characteristics Assessment 

through Triaxial Cyclic Test  

 

 

4.1 Introduction 

Volume change characteristics have been studied by many researchers to asses both the 

stability of saturated soil and the potential settlement due to the ground shaking. Volume 

change behavior that causes change in pore pressure resulting stability problems in deposit 

saturated cohesionless soils (Silver and Seed, 1971). For given density and number of cycles, 

volumetric strains are independent of the vertical stress for a given cyclic shear strain 

amplitude. Lee and Albaisa (1974) found that reconsolidation volumetric strain for non-

liquefaction condition increase with increasing grain size of the soil, decreasing relative 

density, increasing excess pore pressure generated during undrained cyclic loading. 

However, the volumetric strain almost independent of how excess pore pressure was 

generated. Volume change of the soil was investigated through a series of triaxial testing to 

estimate the settlement. Expected settlement when the soil is not liquefied is less than 0.5%, 

meanwhile when the soil liquefied it was expected to be in the range of 5%. Volume change 

of the soil with similar relative density and confining pressure was found consistently 

dependent only on the excess pore pressure build up and was independent of the type of 

cyclic loading. The important finding is that when the soil subjected to cyclic loading with 

different CSR, volume change is always same as the other parameter keep constant.  



36 

 

The coefficient of volume compressibility (mv) is one of the substantial parameters which 

has been used in gravel drain design procedure to determine the drain spacing (Seed and 

Booker, 1977). A constant mv was commonly used and in the current practice, the value is 

generally decided based on soil density (Baez and Martin, 1992). The behavior of ground 

improved with gravel drain had been investigated by Okamura et al. (2019) through 

laboratory tests and numerical simulation. Liquefaction occurrence was observed at a 

shallower depth of the soil which in the design it was not supposed to liquefy. The use of 

constant mv in the design procedure irrespective of the depth has been reported as the cause. 

Volumetric strain characteristics in saturated sands under cyclic loading had been studied by 

Lee and Albaisa (1974). It was found that the relationship between volumetric strain and 

generated excess pore pressure did not significantly depend on confining pressure. Based on 

these evidences, mv is likely varied not only by the influence of soil density, but also factors 

including stress level and generated excess pore pressure. This chapter describes the results 

of cyclic triaxial tests aimed to provide a better understanding of mv characteristics of the 

sand under undrained cyclic shearing. 

 

4.2 Test conditions 

Ube Keisa no. 7 sand (emax = 1.138 and emin = 0.657) was used for the triaxial tests. All of 

the specimens were prepared by air-pluviating the sand to the mold on the pedestal with an 

internal dimension of 50 mm in diameter and 100 mm in height to a target relative density 

60%. The specimens were saturated under a vacuum pressure -95 kPa with the aid of the 

CO2 replacement technique to achieve the Skempton’s B-value higher than 0.96. The 

specimens were subjected to cyclic shearing in the undrained condition. When the excess 

pore pressure ratio (ru =Δu/c0’) of either 0.3, 0.5 or 0.7 was attained, the cyclic shearing 
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was halted and the drainage valve was opened to measure the drained water volume. 

Volumetric strain and thus, the coefficient of volumetric compression mv (=v/u) was tested 

for several initial effective confining pressures (c0’). Corresponding to the prior tests, 

additional tests with constant c0’= 100 kPa and ru≈ 0.3 were also carried out with three 

different cyclic stress ratios to examine its effect on the mv separately. Test conditions for mv 

test are summarized in Table 4.1. 

 

Table 4.1 Triaxial test conditions 

c0’ kPa 

ru 

≈0.3 ≈0.5 ≈0.7 

Dr (%) CSR Dr (%) CSR Dr (%) CSR 

25 58 0.1 58 0.13 58 0.12 

50 59 0.13 59 0.13 58 0.13 

100 60 0.1 61 0.13 60 0.13 

200 61 0.13 61 0.13 61 0.13 

100 59 0.1 - - - - 

100 58 0.13 - - - - 

100 59 0.132 - - - - 

 

 

4.3 Effect of confining pressure on volumetric strain behavior of soil 

The volumetric compressibility of the sand was investigated through triaxial testing, where 

the initial confining stress (c0’), and target excess pore pressure ratio (ut/c0’) were varied 
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among tests while keeping the relative density of the specimens to be fixed to 60%. The 

specimens were subjected to cyclic shearing in the undrained condition until a target excess 

pore pressure ratio of 0.3, 0.5 or 0.7 was attained. The cyclic shearing was then halted and 

the drainage valve was opened to reconsolidate the specimen.  

Figure 4.1 shows the time histories of excess pore pressure ratio obtain from three tests at 

’c0= 50 kPa. Pore pressure generated in the same manner under the same cyclic stress ratio, 

confirming reproducibility of the tests. Excess pore pressure ratio, ru is determined from the 

residual excess pore pressure, u. 

 

Figure 4.1 Time histories of excess pore pressure ratio during cyclic loading at 50 kPa 

confining pressure 

 

The relationship between the reconsolidation volumetric stain (v) and the actual excess pore 

pressure ratio, u/c0’, attained before this reconsolidation is illustrated in Figure 4.2. 

Volumetric strain increases linearly as u/c0’ increases, with v being practically the same 

irrespective of c0’ for the range u/c0’≤ 0.75. Lee and Albaisa (1974) reported similar test 

results on several sands that volumetric strain was almost the same irrespective of the 
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effective confining pressure for the range of u/c0’ lower than 0.6. They also found that 

CSR in cyclic shearing to generate a certain u/c0’ did not affect the reconsolidation 

volumetric strain. Hence the coefficient of volumetric strain, mv (= v/ut =vru /c0’) is 

considered to be inversely proportional to the initial effective confining pressure. The 

relationship between mv and c0’, as demonstrated in Figure 4.3 clearly supports the analogy. 

 

Figure 4.2 Relationship between reconsolidation volumetric strain (v) and excess pore 

pressure ratio before reconsolidation. 

   

4.4 Effect of excess pore pressure ratio on coefficient of volume compressibility 

behavior 

Considering the linear relationship of the swelling-reconsolidation line with a slope  on the 

e – ln p’ plane, where e indicates the void ratio and p’ represents the mean effective stress, 

mv can be expressed as; 
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κ

1+e
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                             (4.1) 
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which will be used in the numerical simulation described in Chapter 5. 

     mv=-
0.0016

σc0'

ln(1-ru)

ru
                          (4.2) 

 

Figure 4.3 Relationship between mv and effective confining pressure 

Furthermore, the tests were also performed to examine cyclic stress ratio influence on the 

mv. The tests with variation of cyclic stress ratio were conducted under the same confining 

pressure to minimize the stress level effect. The test result is presented in Figure 4.4 and it 

shows mv is nearly constant at slightly different ru. It is indicated either the loading was a 

very small cycles or a few intense cycles, the mv consistently be in a narrow range as the 

other parameters were remained constant. 
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Figure 4.4 Relationship between mv and cyclic stress ratio 

 

4.5 Conclusions 

In this chapter, a series of cyclic triaxial tests were performed to determine mv value of the 

saturated sands under cyclic loading. All the mv tests were conducted in undrained conditions, 

and after the target excess pore pressure ratio was attained, drainage was allowed to measure 

the volume change. Volumetric strain and mv behavior within a different confining pressure 

have been examined. The results showed that mv value increases with increasing excess pore 

pressure ratio. Cyclic stress ratio influence on the mv was also observed, and mv was found 

independent of the cyclic stress ratio. The confining pressure effect on the mv was found 

more significant. It was observed that mv is inversely proportional to the initial effective 

confining pressure. Therefore, it can be concluded that mv characteristics have been 

influenced by both ru and ’c at the same time. These facts proposed that stress-dependent 

mv should be considered on the gravel drain design procedure. 
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Chapter 5 

 

Effect of Permeability and Diameter of the Drain on Pore Pressure 

Behavior of Sand Remediated with Gravel Drain  

 

 

5.1 Introduction 

Loose saturated sand is susceptible to large excess pore water pressure generation when 

subjected to earthquake shaking if it unable to drain, leading to loss of stiffness and strength 

known as liquefaction phenomena (Seed & Idriss, 1982). There were several ground 

improvement methods have been proposed to mitigate the risk of liquefaction including 

reinforcement, grouting, densification, and drainage. The gravel drain installation is one of 

the common methods to mitigate liquefaction due to an earthquake in non-cohesive soil. The 

installation of gravel drains can increase the soil density, lateral effective stress of the soil, 

and allow excess pore water pressure gets dissipated almost as fast as it is generated (Adalier 

& Elgamal, 2004). If pore pressure can be dissipated as they created, then danger of 

liquefaction may be averted. Seed & Booker (1977) were originally proposed a design 

procedure of the gravel drain by assuming an infinitely permeable column as a drain material. 

The behavior of generation and dissipation of pore water pressure was analyzed by 

considering the soil permeability and coefficient of volume compressibility. The significant 

influence of drainage resistance on the performance of the drain has been founded by Onoue 

et al. (1987) by performed large-scale in situ experiments. The drain permeability was used 

as design criteria to evaluate drainage capability. The results showed that coefficient of 

permeability of the drainage plays an important role, if the drain permeability value is not 
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significantly larger than the soil, it reduced the draining capability to dissipate the pore water 

pressure. The response of drainage in liquefiable soil has been investigated by Brennan & 

Madabhusi (2002), the generation of pore water pressure induced by the earthquake created 

vertical hydraulics gradient. Water flow from the deeper soil upwards to the surface causing 

excess pore water pressure remains high compared to the greater depth. The presence of 

gravel drain provides the drainage path through horizontal flow which allows the pore 

pressure to dissipate faster significantly. 

This study focuses on the assessment of the gravel drain performance and the pore water 

pressure response during strong shaking situations by taking into account the permeability 

changing of the sand layer and variation of gravel drain number. Using the dynamic 

centrifuge testing machine, nine model tests were performed including the benchmark test 

without the drain, and the sand layer remediated with gravel drain. 

 

5.2 Design of models 

The model ground tested in this study was an 8m deep uniform sand deposit subjected to 

base shaking. Medium dense silty sand was used and the base input acceleration was 

determined so that the whole deposit liquefies in a short duration of 4 seconds after the excess 

pore pressure starts to accumulate. This severe seismic condition may often be valid in 

practice corresponding to strong design earthquakes or low soil resistance to liquefaction. 

The soil parameters employed in the design of the gravel drains were determined first based 

on the conventional laboratory tests and the practical method as summarized in Table 5.1, 

but later in this paper, subjected to detailed examination. The coefficient of permeability for 

the sand and the gravel were ks= 4.8×10-6m/s and kw= 2.0×10-2m/s, respectively, obtained 

from the conventional laboratory tests. The coefficient of volumetric compressibility of the 

sand is mv= 0.03m2/MN recommended in JGS (1998) for medium-dense sand. The diameter 
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of gravel drains implemented in the models was dw= 0.8m and 1.6m. The group of gravel 

drains in this study was placed in a square pattern as indicated in Figure 5.2. Center-to-center 

spacing of the gravel drains, b= 2.4m for dw = 0.8m and 4.8m for dw= 1.6 m (b/dw= 3 for both 

dw), were decided. The zone of influence of each drain can be approximated by a cylinder 

with an equivalent diameter of be= b√4 π⁄ ≈1.13b. 

 

5.3 Test conditions 

The centrifuge models corresponding to 8m deep uniform prototype sands with and without 

gravel drains were implemented. Testing parameters, including the permeability of soils, the 

drain diameter, and the groundwater level, were varied among tests to investigate their 

effects. A rectangular laminar container was used in all the centrifuge tests, which was 

designed to shake a plane strain geotechnical model in the long direction of the box. This 

box is comprised a stack of up to 20 rectangular rings of duralumin alloy separated by linear 

roller bearings, and has internal dimensions of 12cm width, 40cm length and 22cm depth. 

Ube-Keisa No. 7 sand deposited at a relative density Dr= 60% was used in all tests reported 

in this paper. The grain size distributions of the sand and gravel used in the tests are indicated 

in Figure 5.1. This sand is a silty sand with fine contents FC= 21%, a specific gravity of 2.63, 

and the minimum and the maximum void ratios of emin= 0.657 and emax= 1.138, respectively. 

Ube-Keisa No. 1 gravel was used as the material for gravel drains. 
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Figure 5.1 Grain size distribution of soils used in the tests 

Depending on the test, gravel drains were prepared using aluminum pipes with an internal 

diameter of 20 or 40mm. A flexible stainless mesh filter of 0.1mm thickness with a 0.05mm 

aperture opening was placed inside the pipe that the gravel was poured into. The pipe was 

hit repeatedly to make the gravel as dense as possible (dry unit weight of 13.4kN/m3). The 

gravel drains wrapped with the stainless mesh were extracted from the piles and placed in 

the laminar box. The stainless mesh was selected to prevent soil particles from migrating to 

the gravel and clogging the filter. Dry sand was poured into the laminar box to a depth of 

20cm through a funnel. During sample preparation, pore pressure transducers were installed 

in the sand and drains to closely monitor the pore pressure variations in the radial and vertical 

directions, as illustrated in Figure 5.2. 

The test conditions are summarized in Table 5.2. Although most of the models were saturated 

with water, a viscous fluid was used as a substituted pore fluid in two models (Models V and 

GD-V); this viscous fluid was a Metolose solution prepared by dissolving 1.8% Metolose by 

weight in water, to achieve a viscosity 40 times the viscosity of water. The use of a Metolose 

solution instead of water as a pore fluid in sand does not change the mechanical properties 
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of water-saturated sand except its permeability. A comparison between similar centrifuge 

tests saturated with water and Metolose allows direct investigation of the effect of 

permeability alone. Using water in a centrifuge test at 40G to model the seismic liquefaction 

of water-saturated prototype soil in the field could lead to the simulated actual prototype 

permeability to be 40 times larger than that of the model. In this case, the prototype 

permeability would be 4.8×10-6×40= 1.9×10-4m/s for the sand and 2.0×10-2×40= 8.0×

10-1m/s for the gravel, respectively; this corresponds to the permeability of a clean fine sand 

in the field rather than that of the silty sand used in the centrifuge experiment. Moreover, if 

the model is saturated with a viscous fluid 40 times the viscosity of water, corresponding 

prototype soil permeability is 4.8×10-6m/s for the sand and 2.0×10-2m/s for the gravel. 
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Figure 5.2 Schematic illustrations of centrifuge models and location of the sensors 

(a) model without gravel drain (BM, V), (b) model with gravel drains of 1.6m diameter (GD-

BM), (c) model with gravel drains of a smaller diameter (GD-SD), (d) model with gravel 

drain of smaller diameter and lowered groundwater level (GD-WL), (e) model with variation 

of drain covered with teflon sheet (GD-C), and (f) model with different size of drain along 

with the depth (GD-LD). 
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Table 5.1 Design parameters for the current design procedure to determine drain spacing 

Parameter 

H Depth of liquefiable layer and drain length 8 m 

dw Diameter of gravel drain 0.8 m and 1.6 m 

ks Coefficient of permeability of sand 1.9×10-4 m/s 

kw Coefficient of permeability of gravel 8.0×10-1 m/s 

mv 
Coefficient of volumetric compressibility of 

sand 
0.03 m2/MN (JGS) 

tl time to liquefaction 4 s 

- Threshold excess pore pressure level 0.3 (JGS) 

Td/rN  Time factor for radial flow 4kstl/(mvwdw
2) 

Lw = 

32ksH
2/(2kwdw

2) 
Coefficient of well-resistance 

0.08 for dw = 0.8 m 

0.02 for dw = 1.6 m 

bt/dw Equivalent drain spacing ratio 
0.34 for dw = 1.6 m 

0.23 for dw = 0.8 m 

 

Subsequently, the laminar box was set in a vacuum chamber whereas the air in the model 

was replaced with carbon dioxide gas to achieve a high degree of saturation after the 

saturation process. The de-aired pore fluid was introduced through the top of the model under 

a vacuum pressure of 97kPa until the fluid level in the laminar box exceeded the soil surface. 

Degree of saturation of the models was confirmed to be higher than 99.7%. The laminar box 

was then moved on the centrifuge platform and the centrifuge was spun up gradually to 40G. 

Finally, one-dimensional lateral shaking was imparted along the model long axis using a 

mechanical shaker. For models with lower groundwater table (WL and GD-WL) an attention 

was paid to maintain the liquefiable layer fully saturated. This was achieved by draining the 

groundwater from the initially fully saturated model through a siphon at 40G in-flight. 
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A total of seven centrifuge tests were carried out as listed in Table 5.2. Two models, BM and 

GD-BM were benchmark models fully saturated with water. Gravel drains with dw= 1.6m 

were installed at a spacing ratio of b/dw= 3 in GD-BM. GD-SD was a model in which gravel 

drains with a smaller diameter (dw= 0.8m) were implemented with fixed spacing ratio and 

other testing parameters unchanged. Models V and GD-V were saturated with viscous fluid. 

Except for the soil permeability, all the testing parameters including the gravel drain diameter 

(dw= 1.6m) and the spacing ratio were the same as GD-BM. Furthermore, two models, WL 

and GD-WL, with and without gravel drains, respectively, were examined with the 

groundwater table 4m below the ground surface. In these tests, except the input acceleration, 

all other testing parameters and conditions remained the same as that of models BM and GD-

SD. The base shaking input to models WL and, GD-WL was scaled up so that the cyclic 

stress ratio at the mid-depth of the liquefiable layer was the same throughout the tests in this 

study. The acceleration amplitude of 1.7m/s2, which was 1.5 times higher than that of other 

tests, were imparted to these models with lower groundwater table.  

 

Table 5.2 Summary of centrifuge models (in prototype scale) and estimates of permeability 

based on the conventional permeability test, time factor Tl, well resistance Lw and 

maximum excess pore pressure ratio, ru_max 

Model 

Relative 

Density 

Dr (%) 

Coeff. 

Permeability* 
Pore 

fluid 

viscosity 

 (cSt) 

Drain 

diameter 

dw (m) 

Drain 

spacing 

b (m) 

Groundwater 

Level 

GL –(m) 

Time 

factor** 

Tl 

Well 

resistance 

coefficient 

Lw 

Estimated  

 

ru_max ks 

(m/s) 

kw 

(m/s) 

Benchmark 

model 

         

BM 61.7 1.910-

4 

- 1 - - 0 - - - 

GD-

BM 

59.3 1.910-

4 

8.010-

1 

1 1.6 4.8 0 4.03 0.02 0.9 

Smaller drain diameter 

model 

        

GD-

SD 

57.2 1.910-

4 

8.010-

1 

1 0.8 2.4 0 16.15 0.08 0.35 
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Lower permeability model         

V 63.2 4.810-

6 

- 40 - - 0 - - - 

GD-V 57.3 4.810-

6 

2.010-

2 

40 1.6 4.8 0 0.10 0.02 1.0 

Lower groundwater table         

WL 57.0 1.910-

4 

- 1 - - 3.6 - - - 

GD-

WL 

61.0 1.910-

4 

8.010-

1 

1 0.8 2.4 4.0 16.15 0.08 0.3 

Drains covered with 

plastic sheet 

        

GD-C 63.3 1.910-

4 

8.010-

1 

40 1.6, 1.2, 

0.8 

- 0 - - - 

Different diameter of drain 

per depth 

        

GD-

LD 

60.7 1.910-

4 

8.010-

1 

40 1.2, 0.8 - 0 - - - 

 

*: ks, kw in this table were obtained from conventional laboratory tests. The direction of water flow was normal 

to the soil bedding plane, and the applied hydraulic gradients were lower than 0.5.  

**: Coefficient of volumetric compressibility of mv = 0.03 m2/MN was assumed to estimate the time factor. 

 

In the centrifuge models with gravel drains examined in this study, testing parameters 

including the diameter of gravel drain, soil permeability and groundwater level, were varied 

between tests, whereas the spacing ratio was kept constant. The time histories of the lateral 

input shaking applied to the base of the fully saturated models have the shape indicated in 

Figure 5.3(a), which consisted of 45cycles of a sinusoidal wave with a dominant frequency 

of 28Hz and uniform acceleration amplitude of 4.4g except for several cycles of a taper at 

the beginning. For the tests at 40G centrifugal acceleration, this corresponds to a prototype 

frequency of 0.7Hz, and acceleration of 1.1m/s2 applied to the base of a homogeneous fully 

saturated silty sand layer with a prototype thickness of 8m with and without gravel drains. 

For the models with a lower groundwater table (WL and GD-WL), the input acceleration 

amplitude was 1.7m/s2 as mentioned earlier. 

Considering the axisymmetric dissipation and the well resistance, the effectiveness of the 

gravel drains as a liquefaction countermeasure can be expressed in terms of two non-
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dimensional parameters (Onoue, 1987), that is the time factor, Tl, and the well resistance 

coefficient, Lw , which can be shown as, 

Tl=
4kstd

mvγ
w

dw
2

Nl

Neq
                                        (5.1) 

  Lw=
32ksH2

π2kwdw
2                                                    (5.2) 

where, H is the length of drains, w is the unit weight of water, td is the time duration of the 

earthquake, Nl is the number of equivalent uniform stress cycles required to cause 

liquefaction, and Neq is the number of equivalent uniform stress cycles. Tl and Lw for the 

gravel drain models are summarized in Table 5.2. In the following discussions all results and 

comparisons are presented in prototype units unless mentioned otherwise. 

 

5.4 Test results 

5.4.1 Pore pressure response of uniform sand without drain 

The excess pore pressure ratio, ru (=u/v0’; u is the excess pore pressure and v0’ is the 

initial vertical effective stress) time histories observed at depths in models of uniform sand 

without gravel drains, BM and V, are illustrated in Figure 5.3(b), and (c).  
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Figure 5.3 Input acceleration and excess pore pressure responses for fully saturated models 

without gravel drain, BM and V 

 

The inset in Figure 5.3(a) is a close-up view at the beginning of shaking that compares the 

input accelerations of these tests and confirms a satisfactory reproducibility, which is also 

the case for all tests conducted in this study. Excess pore pressures were gradually generated 

during the beginning of the shaking, and started to accumulate significantly at t= 16s when 

the base acceleration amplitude exceeded approximately 0.5m/s2, and reached the 
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liquefaction condition (ru= 1) at approximately t= 20s throughout the entire depth of the sand. 

Although the sand permeability was 40 times higher for BM, there was no clear difference 

in the rate of excess pore pressure generation in these two models, suggesting that sands in 

these models were practically in undrained condition at the beginning of shaking. Note that 

the observed ru significantly overshot the initial effective stress at the shallower depth in V; 

this is due to the subsidence of pore pressure cells installed at shallower depths after 

surrounding soil liquefied and lost its stiffness. Differences in pore pressure response 

between these models are distinctly observed after t= 30s. Excess pore pressures started to 

dissipate during shaking in BM indicating that sand solidified swiftly from the bottom up, 

whereas the sand continued to liquefy much longer in V. 

 

5.4.2 Effect of permeability on pore pressures in models with gravel drain 

The time histories of ru for fully saturated models with gravel drains are demonstrated in 

Figure 5.4. Note that all excess pore pressures, not only pressures in the sand but also in the 

gravel drains, were normalized with respect to the initial vertical effective stresses in the 

sand. In the test GD-BM, ru in sand at a greater depth (z= 6m) attained its maximum value 

of ru= 0.4-0.7 at around t= 21s, then leveled off for some time from 21 to 25s, indicating 

dissipation balanced generation, which was followed by swift dissipation even during 

shaking. It can be observed that the gravel drains effectively prevented the soil from 

liquefaction triggering at the depth. Conversely, ru at the shallower depth (z= 1.5m) at any 

radial locations (P7–P10) reached the liquefaction condition, although the effects of gravel 

drains can be observed on the timing of dissipation initiation, as well as in the form of dilative 

responses during shaking. 
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Figure 5.4 Excess pore pressure responses for fully saturated models with gravel drains 

 

For the model GD-V, with 40 times lower permeability and thus with 40 times smaller Tl, 

excess pore pressure generation in the sand was quite similar to that in the companion model 

without drain (model V). ru in sand at both shallower and deeper depths started to increase 

significantly at approximately t= 16s; the sand reached initial liquefaction at t= 20s and 

continued to liquefy throughout the shaking event. In this test, the gravel drains were not 

able to prevent the liquefaction triggering even at a location closest to the drain (P5 and P10). 

The evolution of the radial distribution in ru is depicted in Figure 5.5. 

ru in GD-V increased with time and was nearly uniformly distributed in the sand at any time. 

The effects of the gravel drains to reduce the excess pore pressure in the sand cannot be 

observed. For GD-BM at a depth of z= 6m, ru was lower than that in the benchmark model 

at the same depth (P7 in BM); it decreased from the midpoint of two adjacent drains (r= 2.4 

m) towards the drain. This holds true at the shallower depth (z= 1.5 m) at t= 16s and 18s but 

ru reached unity at approximately t= 21s. 
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Figure 5.5 Radial distribution of excess pore pressure ratio at two depths 

 

To simultaneously examine the horizontal and vertical flow of the pore fluid, contours of the 

maximum excess pore pressure, umax, attained at t= 21–22s are presented in Figure 5.6. For 

GD-V, the slopes and intervals of the contour lines at greater depth (z= 6m) demonstrate that 

the horizontal hydraulic gradient was high only at the perimeter of the gravel drain (r= 0.8–
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dissipative effects at shallower depths. For model GD-BM, a distinct difference from GD-V 
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the slopes are gentle suggesting that the pore water did not flow toward the drain but the 

sand surface. 

 

Figure 5.6 Excess pore pressure contours 

 

5.4.3 Effect of diameter of drain 

The test conditions of GD-SD were the same as GD-BM in all aspects except for a diameter 
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Figure 5.6 indicate that, at greater depth, the zone with hydraulic gradients heading towards 

drains extended radially to the midpoint (r= 1.2m). The contour line slopes are steep, with 

umax lower than that at the corresponding points in GD-BM. However, the drains failed 

again to prevent the soil from liquefaction triggering at shallower depths. One important 

point is that contours in sand above 1.5m depth are quite similar in all tests as shown in 

Figure 5.6. At shallower depths, the initial effective vertical stresses were small and the 

excess pore pressures likewise, leading to a lower horizontal hydraulic gradient toward the 

drain. 

The test with different drain diameter along with the depth (GD-LD) was conducted not only 

to examine the diameter effect but the purpose also to accommodate mv assumption. The 

larger diameter of the drain at shallower depth meant to simulate faster pore pressure 

dissipation and resulted in larger volumetric strain of the sand. Two different diameter drain 

is installed as one column and arranged with the same aspect as GD-SD. The time histories 

of acceleration and pore pressure ratio are presented in Figure 5.7. The input acceleration 

time history is designed similar to the previous tests. Pore pressure ratio is measured at three 

different depths, 2 m, 4 m, and 6 m, respectively. In general, there is no liquefaction 

occurrence at all depths. ru observed at 6 m shows similar response as GD-SD after 40 s all 

of the excess pore pressure are fully dissipated. ru at 2 m depth reached 0.9 as measured at 

the farthest distance of the drain and gradually dissipated right after the peak. After t = 40 s, 

there is residual ru observed due to the subsidence of the pore water pressure sensors. GD-

LD tests has been found can prevent the liquefaction occurrence. 
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Figure 5.7 GD-LD time histories of input acceleration and excess pore pressure ratio 

 

5.4.4 Effect of depth liquefiable layer 
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quite similar to the fully saturated models, BM and V. Excess pore pressure ratio in the sand 

with gravel drains (GD-WL) reached a plateau of ru approximately 0.4 at around t= 21s. 

Thereafter, ru started to increase again at t= 26s, which was mostly due to the input 

acceleration amplitude being significantly larger than that designed during a period from t= 

25 to 40s. Therefore, the radial distribution and contours of ru_max shown in Figure 5.5(d), 

are the maximum values of ru while staying at the plateau (t= 21–25s). The comparison of 

the results with those from GD-SD, for which the testing parameters are the same as GD-

WL except the groundwater level is important. Looking at the radial distribution, ru_max in 

sand of GD-WL is considerably lower than GD-SD. The difference in ru_max between the 

sand and drains is only about 0.1 in GD-WL which is less than half of GD-SD at a similar 

depth of z= 6 m. The fact that the dissipation in sand is more rapid for GD-WL than GD-SD 

could be explained by the difference in the dissipation time factor; however, Tl for these 

models are the same. A possible explanation for this is that mv is a stress level dependent soil 

parameter, and could be smaller for GD-WL than GD-SD. It is also observed that ru_max in 

the drain of GD-WL is lower than that in GD-SD, which is believed to be due to the 

difference in well resistance. Drains in GD-SD are longer than those in GD-SD and have to 

run more water than GD-WL. 



60 

 

 

Figure 5.8 Time histories of input acceleration and excess pore pressure in the models with 

lowered groundwater table (WL, GD-WL) 
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Tl increases, agrees with the test results. However, significant differences in ru_max between 

tests with different groundwater levels, that is, GD-SD and GD-WL, cannot be represented 

by the procedure. Another important observation in this figure is the depth variation in ru_max. 

Onoue (1987) examined this variation through numerical simulations and found that 

differences in the excess pore pressure ratio with depth were mostly less than approximately 

0.05, which is the case for the lines in the figure. ru_max derived from the procedure for the 

two different depth level are practically identical. By contrast, for the tests of GD-BM and 

GD-SD, ru_max at z= 1.5 m is more than 0.4 higher than that at z= 6 m. The difference in 

ru_max with depth observed in the tests becomes larger as Tl increases, because ru_max at greater 

depth decreases with increasing Tl whereas ru_max at the surface stays as unity regardless of 

Tl. It is concluded that a significantly large variation in ru_max exists with depth in a sand 

improved with gravel drains, and the height of the groundwater table affects ru_max, both of 

whose elicitation from the current design procedure are challenging. 
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Figure 5.9 Relationships between maximum excess pore pressure ratio and time factor for 

radial dissipation, Tl 

 

5.4.5 Excess pore pressures in the drain 
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Figure 5.10 Excess pore pressure ratio time history of GD-C 
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generated u was at the beginning of the shaking event. Transducers set on the base, P1, 

show a residual excess pore pressure of 6.8kPa suggesting that the groundwater level rose 

by approximately 0.7m. Some sensors installed in the sand and drains exhibited slightly 

higher residual pressure than 6.8kPa due to subsidence of sand and/or transducers, but the 

readings of all u fell within a small range between 6.8 and 8.2kPa. Meanwhile, the 

differences in u among the transducers decreased with time, and when t= 53s, u was 

approximately 22 kPa with small variations.  

 

Figure 5.11 Excess pore pressure time histories (a) and settlement of GD-WL (b) 
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following dissipation phase. During the early shaking stage, the water table in the drain rose 

due to water that is squeezing out from the sand (evidenced by the settlement), but the water 

table in the sand remained unchanged because the less permeable unsaturated overlying sand 

(Figure 5.12(b)). Thereafter, the water level increased further in the drain, allowing some 

water in the drain and sand to seep into unsaturated sand, which gradually increased the 

water table of sand. At t= 53s, u in the sand and gravel was approximately the same with 

the minor variations, indicating that the pressures of sand and gravel in the drain in its 

entirely were almost equalized at u= 22kPa (Figure 5.12(c)). After a sufficient amount of 

time, u in sand and gravel fully dissipated; the water table stabilized at GWL -3.25m 

(Figure 5.12(d)). The settlement behavior of sand surface shown in Figure 5.11(b) is 

consistent with the u observations; surface settlement accumulated in the early stage of 

shaking and after approximately t= 53s the rate significantly slowed down, indicating that 

the contraction of sand and generation of excess pore pressure almost ceased. The settlement 

at t= 21–25s was 10cm which was one-third that at t= 53s. Assuming that the water expelled 

from sand stayed in the drain, and its volume was proportional to the settlement, the rise in 

water level in the drain at t= 21–25s was estimated to be 0.75m. This assumption presumably 

provides the estimated water level conservatively, because water pressure at t= 53s could 

have been higher than 22kPa if water did not seep into the unsaturated sand.  
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Figure 5.12 Schematic of water level in the drain during shaking for GD-WL 

 

5.5 Numerical simulation 

The generation and dissipation of the excess pore pressure of sand as described in Chapter 1 
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The generation term in Eq. (1.1), ∂∆ug ∂t⁄  , is often expressed by an arcsine function to 
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Figure 5.13 Numerical simulation mesh and boundary condition 
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drain, as discussed in Sub Chapter 5.4.6. 

 

5.6 Comparison between test results and numerical simulation results 

The time histories of u in both the sand and drain for the benchmark model GD-BM 

obtained from the numerical simulation are shown in Figure 5.14 together with test 

observations at corresponding locations. u from the simulation starts to accumulate from 

t= 16s and reaches plateaus at approximately t= 20s. u continues to level off after t= 20s 

indicating that the generation balances dissipation in the domain, while the plateau did not 

last long and started to dissipate during the shaking for the test. This is because the 

contractive volume change of actual sand owing to cyclic shearing gradually ceases as the 

shearing continues while mv is assumed constant throughout the shaking in the simulations. 

Except for this difference in the latter part of shaking, u from the simulation compares quite 

well with that observed in the test.  
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Figure 5.14 Time histories of excess pore pressure ratio for GD-BM 

The radial distributions and contours of the maximum excess pore pressure ratio, ru_max are 

shown in Figure 5.15 and Figure 5.16, respectively. The zone where u decreases near the 

drains and is lower than unity, is limited at the drain perimeter for model GD-V, and extends 

apart from the drains for water-saturated models, GD-BM and GD-SD, in a similar manner 

to the tests. Variations in ru_max with depth also agree fairly well with those from the tests. 

The sand in the fully saturated ground near the ground surface always liquefies irrespective 

of the drain diameter and the permeability of soils while ru_max at greater depth decreases 

with increasing soil permeability and drain diameter. Moreover, with regard to the effects of 

groundwater level, the simulated ru_max for GD-WL compares well with test results. ru_max 

from the simulation decreases by lowering the ground-water level in a similar way to that 

observed in the test GD-WL. This is caused by the smaller mv for GD-WL due to higher 

effective vertical stress, as well as smaller well resistance due to the shorter length and higher 

permeability of the drain generated by the lower discharge flow rate. 
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Figure 5.15 Comparisons of radial distributions of ru_max from numerical analysis with 

those from tests 
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Figure 5.16 Contours of excess pore pressure ratio obtained from numerical simulations 

The significant improvement of the numerical simulation for fully saturated models 

described above is achieved by employing two soil parameters, mv and kw. To individually 

investigate the effects of these parameters, additional numerical simulations were conducted 

for sets of parameters as follows (summarized in Table 5.3). 

Table 5.3 Soils parameters used for numerical simulations 

Soil parameter set 
Permeability of sand  

Permeability of 

gravel 

Coefficient of volume 

compressibility 

ksh (m/s) ksv (m/s) kw (m/s) mv (m2/MN) 

a) Centrifuge Test 

Condition 
1.610-3 1.910-4 Re dependent Stress level dependent 

b) kdrain constant 1.610-3 1.910-4 0.8 Stress level dependent 

c) mv constant 1.610-3 1.910-4 Re dependent 0.03 

d) Current design 

procedure 
1.610-3 1.910-4 0.8 0.03 
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a) The variations in both kw and mv with depth were considered. This was the same 

parameters set mentioned above.  

b) The variation in mv was considered, while kw was fixed at kw = 8.0×10-1m/s. 

c) The variation in kw was considered, while mv was fixed constant at mv= 0.03m2/MN. 

d) Both kw and mv were constant at kw= 8.0×10-1m/s and mv= 0.03m2/MN. 

Note that the parameter set d) corresponds to the current design procedure.  

Profiles of ru_max at the midpoint of drains for the fully saturated model are indicated in 

Figure 5.17(a) and (b). In the case of d), ru_max increases slightly from the bottom up, because 

the water volume flow rate as well as the pressure gradient in the drain increase accordingly. 

When the variation in kw is considered (type c)), the well resistance effects increased the 

ru_max slightly over the depth, although ru_max is much lower than the centrifuge test 

observation.  

For type b) simulation where only mv varied with depth, with mv being inversely proportional 

to the depth, ru_max increases significantly and reaches the liquefaction condition near the 

surface. According to triaxial test results, mv increases infinitely and the time factor for 

diffusion, Tl, is zero at the surface of a fully saturated uniform sand. Radial diffusion of 

excess pore pressure cannot be expected, and liquefaction conditions are inevitable. For type 

a) simulation, the variation agrees reasonably well with centrifuge tests when the variation 

of both mv and kw are considered. As the water flow rate in the drain increases, the Reynolds 

number increases accordingly resulting in a decrease in kw particularly at shallow depths. 

The influence of the enhanced well resistance due to the turbulent flow in the drain is not 

limited at shallower depths but extends to the bottom where the flow regime is laminar. 
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Figure 5.18 depicts the profiles of the Reynolds number and kw. For GD-BM, the Reynolds 

number increases from less than unity at the bottom to 140 at the surface. The zone of laminar 

flow is limited to a depth 0.05 m from the bottom, with kw degrading to approximately 1/8 

at the surface. These observations are also valid for GD-SD, and lead to a conclusion that 

the significant difference in ru_max with depth is due to the stress level dependency of mv. 

Although the degradation in permeability of gravel is significant at shallower depth, its effect 

on ru_max is not limited to such depth level but extends to all the depth of the domain.  

The effects of groundwater level can be observed by comparing GD-SD (Figure 5.17(b)) 

with GD-WL (Figure 5.17(c)). The simulated ru_max decreases with the lowering of the 

groundwater level in a similar way to that observed in the tests. The variation in ru_max for 

GD-WL is largely uniform along the depth. In this case, the hydraulic gradient near the water 

table is much higher than that of the fully saturated models, which results in a dramatic 

reduction in the well resistance; excess pore pressure in the drain is kept low. The effects of 

variations in mv and kw on ru_max are less noticeable. 

The simulation results for two boundary conditions at the groundwater table are shown in 

Figure 5.17(c); one is the pore pressure of 7.5 kPa at a depth of z= 4 m, whereas the other is 

zero. It appears that the pressure set at the boundary pushes the simulated ru_max on the right-

hand side in this figure as the same quantity at all depths. It is a common design practice that 

the pore pressure is assumed to be zero at the boundary of the groundwater table; however, 

consideration of the rise in water level during shaking is important. 
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Figure 5.17 Vertical profiles of ru_max for different sets of soil parameters 

 

Figure 5.18 Vertical profiles of Re and kw in gravel drains 
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deposits to reduce the excess pore pressure as liquefaction prevention. The permeability 

effect on the gravel drain performance was analyzed first by varying 40 times different 
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parameters that has a significant influence on gravel drain performance. It could not prevent 

the liquefaction occurrence when the permeability of the sand is very low. Gravel drains 

were effective in reducing the excess pore water pressure ratio at greater depths for the test 

with higher permeability. Further, the effect of the number of gravel drain installed was 

observed with a constant improvement ratio. The tests with different drain diameter were 

conducted and the pore pressure response was compared. It was found that the greater 

number of gravel drains with the smaller diameter of drain, the dissipation time of excess 

pore water pressure was shortened. Even though at the shallower depth, excess pore pressure 

ratio still reached 100%. The groundwater level effect was further examined through the test 

and showed a very significant improvement in lowering the excess pore pressure ratio. 

Lowering groundwater level was supposed to increase the effective stress of the soil, which 

was found effective in the process of diffusion of pore water pressure. 

The effect of mechanical properties of the soil on the performance of the gravel drain to avert 

the risk of liquefaction were studied through a numerical simulation based on current design 

procedure of the gravel drain. Not only the permeability but the flow regime in the drain was 

considered in the simulation as well as the coefficient of volume compressibility of the soil. 

The constant mv assumption that has been adopted in the design procedure, overestimated 

the effectiveness of the drain. It was found that mv need to be considered as the stress-

dependent function in order to simulate actual behavior of the soil layer. The turbulent flow 

that was found in the drain, contributed to higher resistance of the drainage to dissipate the 

excess pore pressure.  
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Chapter 6 

 

Settlement on the Ground Improved with Gravel Drain 

 

6.1 Introduction 

Settlement of ground improved with gravel drains is one of the issues raised by many 

researchers. Excessive settlement might occur due to dissipation of excess pore pressure 

generated during earthquakes through vertical drains although the improved ground was 

considered non-liquefied. The improved ground in Rokko island and Port Island hit by the 

1995 Kobe Earthquake (Yasuda et al. 1996), in Shiogama port hit by the 2011 Tohoku 

earthquake as well as shaking table tests (e.g. Sasaki and Taniguchi. 1982; Unno et al. 2014) 

were the case. These field case histories and model test observations are, however, 

contradictory to the accumulated knowledge that volumetric strain of sand after dissipation 

of excess pore pressure generated by undrained or partially drained cyclic shearing is very 

small as long as the sand does not reach the liquefaction condition. The settlement observed 

in the tests in this study is approximately promotional to the depth of liquefied sand. The 

excessive settlement was probably caused by liquefaction of soil at shallower depth of 

improved ground; the vertical drains designed and implemented in the sites were effective 

to prevented soil to liquefy at greater depth which reduced the depth of liquefied sand but 

could not prevent triggering at shallower depth. In fact, Yasuda et al. (1996) reported that 

settlement in the zone with vertical drain implemented, typically ranging between 0 and 40 

cm, was considerably smaller than that in the adjacent non-improved zone, 0 - 95cm. 

Tokimatsu and Seed (1987) were also estimated the settlement of the soil based on CSR and 

proposed a simplified method for saturated and unsaturated sands. 
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6.2 Observed settlements in centrifuge tests 

Settlements of the sand surface in the centrifuge test were observed based on surface 

measurement at several locations after the tests. The average values of measured height of 

the sand surface after the tests at more than 10 locations are used in this chapter to discuss 

the settlement behavior. The locations of measurement did not include the drain. Settlement 

during increasing centrifuge acceleration from 1g to 40g is being considered so that the 

settlement data is derived only due to the earthquake shaking. 

 

Figure 6.1 Settlement observed from each model of centrifuge tests 

Figure 6.1 shows the average settlement for each model due to the shaking event. The model 

with lower permeability (saturated with viscous fluid) indicated with red dots implemented 

significant settlement occurrence compare with the other models. The large settlement was 

inevitable even in the case improved with gravel drain. Settlement was observed 48 cm and 

30 cm in the case without drain, V and BM, respectively. In the models improved with larger 
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diameter drain (GD-BM), which conducted in the same manner with benchmark model BM, 

the settlement is not improved. The settlement was measured 35 cm, even at the liquefaction 

did not occurred in the entire sand layer as discussed in the previous chapter. For the model 

with smaller diameter, settlement was found reduced to 22 cm. Furthermore, the smallest 

settlement was observed in the model with lower groundwater level, as measured 19 cm. In 

this case, the liquefaction did not occur and the excess pore pressure in the shallower depth 

has maintained low. However, it did not prevent the settlement occurrence. 

 

Figure 6.2 Vertical distribution of maximum u 

Vertical distribution of maximum excess pore pressure of the fully saturated model was 

shown in Figure 6.2. The distribution was obtained along the midpoints between drains at t= 

20 – 21 s when the excess pore pressure attained the maximum value. It is observed that u 

is higher at the deeper depth which should propagated upward and make the overlying soil 

liquefy. To estimate the depth of liquefied layer, u observed at depth of 6 m is extended 

vertically upward and the depth of the intersection with the initial effective stress line is 

regarded as the bottom of liquefied sand. 
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Figure 6.3 Relationship between depth of liquefied layer with settlement 

The relationship between the depth of liquefied sand and the settlement is presented in Figure 

6.3. The settlement was found approximately proportional to the depth of liquefied sand. 

This behavior may associated with the volumetric change characteristics of sand. Volumetric 

strain of sand during cyclic loading is limited if the maximum generated excess pore pressure 

is lower than approximately 80% and suddenly increase if the sand liquefies and 

rearrangement of soil fabric occurs (Ohno et al. 1983). It is evident from the figure that 

settlement is dominated by the thickness of the liquefaction layer. 

 

6.3 Drained triaxial test for the settlement prediction 

An attempt has been made to understand the volume change characteristic of the liquefiable 

sand. The test was conducted in the similar manner with the undrained triaxial testing as 

mentioned in Chapter 4 except during the cyclic loading the drain valve is open to allow the 
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water drain from the sample. Drained triaxial cyclic test results comparison is presented in 

Figure 6.4 below. 

 

Figure 6.4 Volumetric strain comparison between undrained and drained triaxial cyclic test 

results 

In the test with the same cyclic stress ratio, volumetric strain results obtained from drained 

and undrained triaxial cyclic test are independent from confining stress. Volumetric strain 

behaviour of undrained and drained test is happened to be in a narrow difference for the non-

liquefied soil case (volumetric strain less than 1%). 

Figure 6.5 shows the results of volumetric strain obtained from drained cyclic triaxial tests 

at different cyclic stress ratio. These tests are aimed to observe the volume change 

characteristic of the soil under strong shaking. Volumetric strain is increase as higher cyclic 

stress ratio is applied. Volumetric strain is significantly rise at the small number of cycles 

and level out when the number of cycles is large. This behavior shows the condition when 

the soil initiated the liquefaction within a very small cycles and continue to liquefy due to a 

higher cyclic stress ratio which correspond to strong earthquake imparted. 
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Figure 6.5 Volumetric strain of drained cyclic triaxial test at different CSR 

Comparison of volumetric strain measured from drained cyclic triaxial test and centrifuge 

test as well as measured settlement in the centrifuge tests are shown in Figure 6.6. Cylic 

stress ratio in the centrifuge test is obtained based on Finn (2002), then volumetric strain and 

settlement were plotted. Volumetric strain results from cyclic triaxial tests are higher than 

the centrifuge test results at the same cyclic stress ratio. Note that the measured settlements 

in the centrifuge test were obtained from the average subsidence of ground surface after the 

shaking end. However, the settlement occurred is around 20 – 50 cm corresponding to 3 – 

4 % volumetric strain. Lee and Albaisa (1974) have found that expected settlement of non-

liquefied soil is less than 0.5% and for liquefied soil is 1-4%. The results found in this 

research shows the similar behavior. Even though the 
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Figure 6.6 Volumetric strain and measured settlement relationship with cyclic stress ratio  

6.4 Conclusion 

In this chapter, analysis of settlement occurrence in the centrifuge test was presented. 

Drained cyclic triaxial tests were also conducted to study the behavior of volumetric strain 

in high cyclic stress ratio. It was found that there is always ground settlement occurred even 

the excess pore pressure ratio is kept low due to the effect of the drainage. These centrifuge 

results partly support the hypothesis that excessive settlement observed in the ground 

improved with vertical drains such as that in Kobe earthquake in 1995, Tohoku earthquake 

in 2011 and shaking table tests may be owing to the liquefaction of soil at shallower depth, 

which was supposed not to be liquefied in the design with the used of constant mv irrespective 

of depth. It also confirms that non-negligible settlement may occur even though the excess 

pore pressure ratio is maintained at lower level by the gravel drains. 
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Chapter 7 

 

Summary and Conclusions  

 

7.1 Summary 

In this dissertation, an attempt was made to investigate the effectiveness of gravel drain to 

prevent liquefaction and to validate the current design procedure of the gravel drain through 

a series of element tests and centrifuge tests. Several factors affecting the performance of the 

drain were analyzed. The effects of gravel drains on suppressing excess pore pressure 

accumulation in liquefiable soils during earthquakes was investigated with a focus on the 

remediated sand behavior dependent on the stress level. Because the current design 

procedure of drains has not been sufficiently verified, a series of centrifuge tests were 

conducted to gain insight into the stress-dependent behavior of loose sand deposits with level 

surface that was improved with gravel drains. The mechanical properties of the soils used in 

the tests were also examined and used in numerical simulations for excess pore pressure 

predictions. Experimental data were used to validate the current design procedures. 

Ground settlement in the centrifuge tests were observed based on surface measurement. The 

depth of liquefaction layer was determined from the vertical profile of maximum excess pore 

pressure ratio. Drained triaxial cyclic tests were performed to obtain the volumetric strain 

behavior of sand under strong shaking and relationship between the volumetric strain and 

settlement was the established to predict the settlement occurrence. 

7.2 Conclusions 

The major findings of the first part of this study can be summarized as follows. 
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1. For a fully submerged uniform liquefiable sand deposit, the implementation of gravel 

drains can suppress the accumulation of excess pore pressure during earthquakes. The 

effect of the lowering excess pore pressure ratio becomes more significant with depth. 

By contrast, near the ground surface where effective stress is very small, the effect is 

minimal and liquefaction is inevitable regardless of the drain spacing. 

2. Groundwater level also has significant effects on the dissipation of the excess pore 

pressure ratio. The lower the groundwater level and thus the higher the initial effective 

stress is, the faster the excess pore pressure diffusion becomes. 

3. The current design procedure fails to appropriately elucidate these responses of soils 

improved with gravel drains, which includes a significantly large variation in ru_max with 

depth and effects of the height of groundwater table on ru_max. 

4. In current design procedure, mv is assumed to be constant. This assumption, however, 

could significantly underestimate the volume of water to be squeezed out from soil at 

shallower depths, and thus overestimate the effects of drains (on the unsafe side). 

Conversely, it underestimates the effects of drains at greater depths.  

5. Although the water flow regime in soils is usually assumed to be laminar, it can be a 

turbulent flow in gravel drains, resulting in more significant well resistance than that 

predicted from the current design procedure. 

6. The axisymmetric diffusion equation with consideration of well resistance appropriately 

predicts the excess pore pressures in sand with gravel drain when the stress level 

dependent mv and Reynolds number dependent kw are utilized for input soil parameters. 

7. Water level in the drain during shaking significantly affects ru_max when the groundwater 

table is lower than the ground surface. The water level rise in the drain appears to 

degrade the effectiveness of the drainage ability of wells, which should be considered 

in the design. 
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8. Excessive settlement observed in the ground improved with vertical drains in past 

earthquake was partly due to the liquefaction of soil at shallower depth, which was not 

supposed to liquefy in the design procedure with the assumption of mv irrespective of 

the depth. 

9. Settlement of ground surface increased with the depth of liquefied layer. Even for the 

model with lowered groundwater table, which did not liquefy at any depth, still 

demonstrate noticeable subsidence. 
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Appendix-A 

Record of Cyclic Triaxial Tests  

 

c0’ kPa 

ru 

≈0.3 ≈0.5 ≈0.7 

Dr (%) CSR Dr (%) CSR Dr (%) CSR 

25 58 0.1 58 0.13 58 0.12 

50 59 0.13 59 0.13 58 0.13 

100 60 0.1 61 0.13 60 0.13 

200 61 0.13 61 0.13 61 0.13 

100 59 0.1 - - - - 

100 58 0.13 - - - - 

100 59 0.132 - - - - 
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Appendix-B 

Record of Centrifuge Tests  

 

Model 

Relative 

Density 

Dr (%) 

Coeff. Permeability* Pore 

fluid 

viscosity 

 (cSt) 

Drain 

diameter 

dw (m) 

Drain 

spacing 

b (m) 

Groundwater 

Level 

GL –(m) ks (m/s) kw (m/s) 

Benchmark model       

BM 61.7 1.910-4 - 1 - - 0 

GD-BM 59.3 1.910-4 8.010-1 1 1.6 4.8 0 

Smaller drain diameter model      

GD-SD 57.2 1.910-4 8.010-1 1 0.8 2.4 0 

Lower permeability model      

V 63.2 4.810-6 - 40 - - 0 

GD-V 57.3 4.810-6 2.010-2 40 1.6 4.8 0 

Lower groundwater table      

WL 57.0 1.910-4 - 1 - - 3.6 

GD-WL 61.0 1.910-4 8.010-1 1 0.8 2.4 4.0 

Drains covered with plastic sheet      

GD-C 63.3 1.910-4 8.010-1 40 1.6, 1.2, 

0.8 

- 0 

Different diameter of drain per depth      

GD-LD 60.7 1.910-4 8.010-1 40 1.2, 0.8 - 0 
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